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INTRODUCTION
Recent earthquakes and several experimental campaigns on timber-framed masonry walls have shown that timber-framed masonry buildings possess a good displacement capacity. The seismic capacity of structures is better understood and related to the displacement capacity rather than the strength capacity (Moehle 1992; Kowalsky et al. 1995; Kappos and Stefanidou 2010) . Therefore, timber-framed masonry structures can withstand catastrophic earthquakes avoiding collapse as the Lefkas 2003 earthquake has shown (Karababa and Guthrie 2007) . Timber-framed masonry is a traditional structural system that in seismic areas has proved to effectively resist earthquakes (Kouris and Kappos 2009; Vieux-Champagne et al. 2014) . It is well known that unreinforced masonry buildings in general cannot resist strong earthquakes; their high vulnerability, documented during several recent earthquakes (see for example Indirli et al. 2013; Kouris et al. 2010) originates from low tensile, and hence shear, strength and the low ductility of its components resulting in poor seismic performance with local out-of-plane mechanisms before the in-plane capacity of its members is reached. The performance of vulnerable unreinforced masonry can be enhanced when a combination of wood and masonry is applied which can provide the necessary seismic capacity. Buildings made in some form of timber-framed masonry are found in ancient Greece from the Bronze Age (16 th century B.C.) and ever since they have a continuous history and a fairly widespread presence.
An important evolution of the structural system of timber-framed masonry is the inclusion of diagonal timber members in the frame. This diagonally braced timber-framed masonry was used as an anti-seismic construction at least from the 18 th century in seismic-prone areas as well as in regions without considerable seismic risk, for resisting wind actions or, when the buildings were founded on soft soils, differential settlements. Indeed, in the latter case the diagonally braced timber-framed masonry system provides a light and effective structure to resist diagonal tension caused by soil settlement. Timber-framed masonry buildings of the early modern times or even the late Renaissance are found in abundance apart from the high seismicity areas globally (Vieux-Champagne et al. 2014 ), also in low or negligible seismic hazard areas such as Central Europe (Kappos and Kouris 2008) and Nordic countries (Copani 2007) . Figure 1 shows a building situated in Ameland, Holland in the North Sea which is an area with soft thin sandstone layers (De Jong et al. 2014 ) and suffers mainly from soil subsidence. A few diagonals are sufficient to provide the necessary strength against differential settlement and lateral wind loads.
A very advanced from the structural engineering point of view timber-framed masonry construction appears in an earthquake prone area, the Lefkas Island, in the Ionian Sea (western part of Greece). This structural system was produced by local builders in the region at least since the 17 th century A.D.; it is reported that after the destructive earthquake that hit Lefkas in 1825 the local authorities decided to rebuild collapsed buildings of the island using this system which had performed very well (Touliatos 1995) . Erecting such a structural system which comprises wood and masonry in harmonious proportions is a challenging task that could be properly carried out only by highly-skilled builders. The development of this structural system, which to some extent follows the principles of displacement-based design (a recent trend in earthquake engineering), has strongly benefitted from the experience gained by frequent, yet of moderate intensity, earthquakes in the area, that permitted observations and inspired improvements in the course of time. In its historical context, the system is a pioneer construction and this is a key reason why it has been listed as a monument of world heritage by the United Nations (1993) . However, construction of these traditional buildings came to an abrupt end during the last century since modern structures overwhelmingly prevailed; hence nowadays most of them date back at least a century ago. Timber-framed masonry buildings have received a considerable amount of attention by architects and archaeologists. On the other hand very little has been done so far to assess their seismic capacity and vulnerability.
To predict the response of structures to future earthquakes it is necessary to generate fragility curves that will be used to develop loss estimation scenarios based on the seismic hazard of a region (Vamvatsikos et al. 2010a) . Empirical fragility curves have been published for timber-framed masonry buildings using data from the 2003 Lefkas earthquake. After this earthquake a detailed survey of damage and collapse has been carried out in two phases by the local Departments for Seismic Restoration (TAS) in the municipalities of Lefkas. The first phase was the rapid evaluation with a colour tag characterisation (green-yellow-red), while the second was more detailed and was completed after four months. Processing this data, Karababa (2007) generated fragility curves for the timber-framed masonry buildings of Lefkas. The main disadvantage of these empirical curves, apart from being presented in terms of a parameterless seismic intensity scale rather than PGA values, is that they are based on a single event. To this end it is necessary to enhance the existing set of fragility curves with new ones based on analytical results. This chapter first describes the structural details related to the seismic behaviour of this dual system and a methodology for their modelling; then it 4 presents the results from the analysis, and finally assesse their seismic vulnerability with the development of analytical fragility curves and a loss scenario for the 2003 Lefkas earthquake.
MODELLING OF SEISMIC RESPONSE

Description of the structural system
The origin of the timber-framed masonry (TFM) system of Lefkas has been lost after the 1825 strong earthquake (Papazachos et al. 1997; Rondoyanni et al. 2012 ) which destroyed the greatest part of the city (Stamatelos 1870). Constructions which could be a predecessor of the dual system have probably collapsed or been demolished, and were replaced by the antiseismic dual system (Touliatos 1995) . The dual system has performed better than all other structures and hence, it has been selected as the appropriate construction type for Lefkas by the authorities (Vintzileou and Touliatos 2005) . Specific regulations define the details of the construction techniques; among others the regulations specify the materials to be used in the construction, the thickness and the height of the ground storey walls.
The structures in Lefkas can be distinguished in two broad categories (Porphyrios 1971 ): (i) the pure timber-framed masonry system when the building is a single-storey house and (ii) the dual system when the building is a multi-storey (usually two or three storeys) construction. The ordinary single-storey TFM buildings hereafter are referred to as pure timber-framed masonry buildings to distinguish them from the latter buildings with a dual system.
As already mentioned, multi-storey dual timber-framed masonry buildings in Lefkas have an unreinforced masonry ground storey. In most case cases this is an unreinforced stone masonry wall whose usually calcareous limestone stones are extracted from local quarries or those of the neighbouring Epirus coast (Karababa 2007; Touliatos and Gante1995) . The height of the ground storey is on average 3 m and its width may vary from 0.6 to 1.0 m. The external façade is made of ashlar-work while the internal one is made of roughly dressed and worked stones or rubble walls in irregular courses. Upper storeys are made in timber-framed masonry.
Timber-framed masonry of the upper storeys consists of timber elements forming a 3D timber frame and masonry infills. Timber sections are on average 10 (±2) cm square. The timber frame has spans that vary from around 1.0 up to 2.2 m. Diagonal members join opposite corners but sometimes one of them may miss or be halved. An important feature of TFM is the use of curved timber elements to stiffen the connection of timber posts to beams. These angles are L-shaped for single-sided connections (Figure 2 ) or T-shaped for doublesided connections. It is clear that local builders had comprehended the substantial lateral load capacity of timber elements and tried to exploit them as much as possible. The connection of timber beams and timber posts and the connection of the diagonals are materialised through T-shaped lap carpentry joint and iron nails (Figure 3a) . In some cases the connection of the diagonals is not through carpentry joints but rather one diagonal is compact (i.e. one solid element) while the second consists of two separate parts (two elements) as shown in Figure 3b , i.e. joint by splices (Vintzileou 2011 ). This detailing is typically associated with lower quality of construction. The T-shaped lap carpentry connection strengthened by L or T-shaped angles is close to a monolithic one, i.e. moment-resisting connection.
Nevertheless, the unique structural feature of the Lefkas buildings is their dual system. In fact, apart from the unreinforced masonry ground storey there is a secondary structural system on the internal side of the walls comprised of timber posts (Apostolopoulos and Sotiropoulos 2008) . Normally, to every pier corresponds a single timber post a few centimetres apart the walls (Figure 2) . This small distance of the timber posts from the walls results from the plinth foundation of the posts which is usually on a compact massive stone appropriately curved and usually equipped with thin metal plates that clamp the base of the column (Figure 3c ). These timber posts are connected to the beams, as well as the timber-framed masonry walls, of the upper storey. Hence, the beams of the floors and the timber-framed masonry walls are supported by both the primary and the secondary system. This sophisticated connection is realised by embedding floor beams into the unreinforced masonry ground storey walls and at the same time joining them to the timber columns of the secondary system. Timber columns are not subjected to gravity loads under service conditions of the building and support to the upper floors gravity loads is provided solely by the primary system (i.e. the unreinforced masonry ground storey). During an earthquake, if its intensity is that high as to drive the unreinforced masonry ground storey walls to partial or full collapse the secondary system will be activated. Due to the much higher deformability of the timber columns compared to the URM walls, this secondary system has displacement reserves able to accommodate the increased displacement demand of the earthquakes, at the expense, of course, of significant damage. Collapse of the URM walls of the ground storey may be classified as 'severe damage' state. Consequently, the building will be able to avoid collapse, but damage will be high or possibly irreparable due to permanent displacements after the earthquake; however, adequate life safety is ensured. 
Geometry and materials of the typical building
A timber-framed masonry building with the previously described dual system situated in the central square of Lefkas city called the 'Berykiou' building (Figure 4) is selected for further analysis. This building has geometrical and mechanical characteristics that are typical of the timber-framed masonry structures found in the island. The building comprises of two parts (Figure 4a ): (i) its ground storey is made of limestone with stonework texture in courses and the thickness of the walls is 0.8 m (Figure 4b) , while (ii) the upper storeys are made in timber-framed masonry. Figure 5 presents the basic geometry of the building façade. Timber-framed masonry of the upper storeys is covered with thin galvanized iron sheathing for their protection against weathering and dry rot considering the vicinity to the sea. Timber-framed panels of the upper storeys are assumed to have a configuration consisting of two diagonals as illustrated in Figure 5b . A previously developed model for timber-framed masonry with two diagonal braces is utilised . During the rapid post-damage survey after the Lefkas 2003 earthquake the building was characterized 'Green', i.e. low damage, in the tagging system (Red-Yellow-Green) presenting an adequate performance.
Gravity load emanating from the timber frame of the upper storeys timber-framed masonry is supported by only the ground storey unreinforced masonry under service conditions). However, the timber posts of the secondary system shown in Figure 5b are also connected to the timber frame but they will receive load only during earthquake failure of the ground storey. The eccentric connection of the timber post (secondary system) to the timber frame (primary system) is realized through iron anchors (Figure 2 ). A typical section of timber elements of timber-framed masonry is assumed (10×10 cm) and the thickness of TFM infills is also assumed as 10 cm. Timber posts of the secondary system have a section 15×15 cm. The L and T-shaped angles between the beams and posts (Figure 2 ) together with the carpentry joints and the masonry infills result in a moment resisting connection of the timber frame. Thus, the connections of beams and posts are considered stiff in contrast with the connections of the diagonals which are set as 'free'.
The secondary system of the timber column in the ground storey (Figure 5b ) has a substantial displacement capacity due to the ductility of timber. The activation of the secondary system upon the exceedance of the displacement capacity of the unreinforced masonry ground storey piers will add a displacement reserve which allows the structure to withstand the induced energy from the seismic excitation. Referring to Figure 3 two bounding cases are considered for column end restraints, i.e. fully clamped or free to rotate.
Mechanical properties of wood correspond to timber class C24 and service class II according to EC-5 (CEN 2004a ) (see Table 1 ). Experiments (Hendry 1998) on traditional stone masonry specimens made of two outer wythes of ashlar stones and an inner core of rubble have shown that these walls present relatively low strength compared to that of the stones per se. In this regard a conservative value of the compressive strength is adopted (Table 1) . Furthermore, a simplified beam model is utilised, which takes into account the possible crack mechanisms of a pier submitted to bending with vertical load: (i) rocking, (ii) sliding shear and (iii) diagonal shear cracking (Kappos et al. 2002; Penelis 2006) . Masonry is considered isotropic in this beam-modelling approach as the strength differences in the two axes are not substantial (Naraine and Sinha 1991) . 
Analysis and pushover curves of the typical building
A 2D plane model of the façade is set up in SAP2000. A macro-model technique is adopted (Kouris and Kappos 2014) based on lumped plasticity point hinges in the strut elements. This model has been based on the micro plasticity model of Kouris and Kappos (2012) . However, the computational effort to derive reliable results for entire buildings is the major drawback of the micro-model that limits its applicability. On the other hand macro-models should be applied only in cases of usual geometry. If this is not the case a hybrid model should be used based on the sub-structuring technique to allow for complex configurations . Application of both procedures to certain cases with usual geometry has shown negligible differences among them (Kouris 2012 ). The building model comprises strut elements and non-linear axial hinges on the diagonals to accommodate all plastic deformation of the timber-framed walls. The methodology requires discretization of the real timber-framed structure in individual TF panels. A set of empirical formulas are used to determine the NL law of the axial hinges (Kouris 2012) , and then they are inserted in the diagonals as point plastic hinges on the global model. The micro-model is based on a Hill-type plasticity model which efficiently describes the orthotropic behaviour of timber. The yield and failure surfaces are presented in Figure 6 . Details about the micro-model can be found in Kouris and Kappos (2012) .
TF walls are modelled by axial force-axial deformation (N-ε) nonlinear lumped plasticity hinges in the diagonals (Kouris 2012) . Modification of the axial stiffness of the diagonals is required to take into account their sliding ):
In Equation (1) E is the Young's modulus of timber, A is the area of the section, δ y and V y are the corresponding displacement and shear force at yielding and L, H the panel dimensions. The connections between timber beams and timber columns are set as pinned. The methodology follows nine steps described in detail in Kouris (2012) and summarised below:
1. Discretization of the building into individual TFM panels. 2. The tributary vertical load is calculated for each TFM panel.
3. The empirical formulas (Kouris 2013 ) are applied to define the constitutive law of each panel in terms of horizontal shear vs. displacement. 4. The elastic stiffness of the panel is corrected using Equation 1. 5. The NL law of the plastic hinges in the diagonal struts is defined in terms of axial load vs. deformation. The unreinforced masonry piers of the ground storey are modelled using moment-rotation (M-θ) lumped plasticity hinges according to (Kappos et al. 2002; Penelis 2006) . This model requires the estimation of the axial load of the piers from a preliminary elastic analysis. Then, two parallel analyses are carried out to determine the M-θ relationship of each critical section of the piers; one for flexural failure and a second for shear failure. For the former a fibre section analysis procedure is followed where in each step the curvature φ is defined from the compression strain of the masonry pier ε and the length of the compression zone χ:
The shear force vs. shear deformation relationship is obtained from experimental data (see Penelis 2006) . Then, these two analyses are combined to give the constitutive M-θ law of the critical sections (top and bottom) of each pier. The ultimate deformation of the section is controlled either from shear or from bending; here failure of the piers appears to occur due to rocking response due to the relatively low vertical load from the upper storeys. An example of the M-θ constitutive law is presented in Figure 7 . The modulus of elasticity for masonry is taken as 500f cw where f cw is the compression strength of masonry (FEMA 2000; Kappos et al. 2002) , which was found compatible with the elastic modulus defined from section analysis: The key feature of the dual system is the activation of the timber-posts of the ductile secondary system after the failure of the ground floor URM piers. During the first phase of the seismic response (primary system) the contribution of the timber posts to the lateral capacity is unimportant. Moreover, their contribution to the vertical load at this phase is questionable given that shrinkage phenomena have taken place in the wood. In this regard, the two systems are considered here sequentially.
Elastic dynamic analysis of the structure assuming nodes fixed on the ground is performed and a natural period equal to T 1,1 =0.19 s is found for the structure (second subscript refers to system 1, prior to failure of ground storey masonry). The first mode activates 92% of the total mass. The first mode shape is close to a triangular one (Figure 8a) . Compared to elastic analysis by Vintzileou et al. (2007) for a similar, but two storey, building the first natural period is longer. This is attributed to the inclusion of the masonry infills in their model and the difference in the total height. This elastic model with natural period equal to 0.19 s has two diagonals active in each panel; however, this linear elastic response is very short and for a broader displacement range of the response only the diagonal in compression will be active (Kouris and Kappos 2012) . For a linear model with elastic modulus E and two diagonals with section area A and lengths in compression L c and in tension L t , respectively, the equivalent modulus of elasticity E' for the frame with only compression diagonals can be found as follows:
Applying Equation 3 to the linear elastic model, the new natural period of the quasi-elastic structure is found to be 0.23 s. This quasi-elastic structure, which is representative of the response for the best part, is valid as long as the piers do not fail. At that point the secondary system will be activated; it is pointed out that although the two models in Figure 8 look the same, the ground storey elements are very different in each case (initially masonry walls, then timber frame).
Unlike the primary system, the secondary system has a first mode of vibration which is almost uniform (Figure 8b) . The first natural period of the second-phase system is T 1,2 =1.39 s (much longer than that of the initial system) and the mass activated exceeds 90% of total. It is noted that the mass of the system is now significantly lower as the mass of the damaged piers is not deemed to form part of the vibrating structure. In this regard the initial mass was equal to 35.20 kN-s 2 /m (ton) whereas the mass of the second-phase system without the masonry piers is now 27.47 kN-s 2 /m. These two co-existing systems perform in a rather diverse way. The primary system is close to what the codes (FEMA 2000; CEN 2004b ) specify as triangular distribution of modal displacements along the height of the structure. On the other hand the second-phase system resembles the uniform distribution when the storey mechanism forms (similar to the familiar pilotis type of behaviour). The two systems are modelled separately for two reasons:
(i) the considerable differences in modal characteristics of these two systems result in different shape of the pushover curve, and (ii) introducing a softening branch in the curve is prone to numerical instabilities that can cause errors and/or early termination of the analysis. Hence, two different pushover load patterns are applied to each system corresponding to the respective first mode loads; the initial system is loaded with a triangular load pattern, whereas the second-phase system is loaded with a uniform pattern. The failure mechanism of the primary system at the end of its NL static analysis is depicted in Figure 9 where plastic hinges are indicated by a different colour associated to their damage state. 'Collapse' of the building is due to the development of a ground storey mechanism. However, the upper TFM storeys have suffered considerable damage as manifested by the widespread inelastic deformations of the TFM panels. Indeed, development of hinges in the ground storey is 13 preceded by the occurrence of the TFM wall hinges. However, the evolution of the plastic deformation in the ground storey is rather quick and finally dominates the failure mechanism. Capacity curves from the non-linear static analyses of the two system in terms of base shear V vs. top displacement Δ are presented in Figure 10a . The bilinearisation of the pushover curve (dashed line) follows the equal energy rule, i.e. equating the areas below and above the bilinear curve and the actual pushover curve (Panagopoulos and Kappos 2009 ). On the other hand, NL static analysis of the second-phase system predicts collapse of the timber posts of the ground storey and negligible inelastic deformation in the upper storeys; the latter remain almost intact and the entire plastic deformation is concentrated in the ground storey which is a typical performance of a structure with a storey side-sway mechanism. These two mechanisms in the real building coexist and interact; activation of the secondary system occurs after failure of the unreinforced masonry ground storey piers but until then it follows the deformation of the primary system. Consequently, the initial soft branch of the secondary system (grey line in Figure 10a ) does not appear in reality and combination of the two pushover curves is in order; failure of the ground storey piers constitutes the point wherein the two curves should be joined. Then, the resulting curve is idealised as a multilinear one (points A to E) that allows definition of a yield point. The following segments are depicted: (i) the quasi-elastic part (A-B) where -in principle-no plastic deformation appears, (ii) the second part (B-C) where non-linear deformation occurs in both the ground storey and the timber-framed masonry upper storeys, (iii) the sudden drop in the base shear capacity during the third part of the capacity curve (C-D) due to the collapse of the ground storey unreinforced masonry piers, and (iv) the residual capacity during the fourth part of the response (D-E) wherein the building has a reserve displacement capacity under an almost constant base shear. The relatively low axial force on the unreinforced masonry piers resulting from the overturning moment leads to almost simultaneous failure of the ground storey unreinforced masonry piers.
Variations of the typical building
Soil-Structure Interaction
Previous analyses have been carried out without considering any interaction between the building and the soil as full fixity has been assumed at the basis of the piers. However, the city of Lefkas is situated on soft alluvial deposits (Karakostas et al. 2005) , which give rise to compliance of the unreinforced masonry foundations. The latter are usually strengthened with a substructure made of layers of logs, to increase their stiffness (Makarios and Demosthenous 2006; Porphyrios 1971) Initial Bilinear
Initial system
Second-phase Bilinear Second-phase system horizontal one to account for soil -structure interaction (SSI) (Karakostas et al. 2005; Makarios and Demosthenous 2006) . The building foundation of the unreinforced masonry pier of the ground storey has the dimensions shown in Figure 11 . In this case where SSI is taken into account the restraints of the piers are assumed pinned at their ends in line with the detailing shown in Figure 3c (Porphyrios 1971; Vintzileou et al. 2007 ). The natural period of the initial system with SSI is T 1,1,SSI = 0.7 s and the activated mass is now lower (78%). The second mode is a rigid body motion and activates almost the remaining part of the mass (21%). The capacity curves of the two-storey building modelled with SSI are given in Figure 10b . The main differences with the fixed end model are with respect to the following two points; (i) the second part of the capacity curve B-C is very limited since the moments that are developed at the top end of the masonry piers for the same base shear V are twice as high (225%) due to the pinned bottom end; (ii) for the same reason the total base shear V that the building can carry is halved in value.
One and two storey buildings
The timber-framed masonry building stock in Lefkas includes also two-storey edifices usually for commercial use (stores) and single-storey structures housing the 'lower class' families (Porphyrios 1971) . The former type of TFM structures takes advantage of the dual system ( § 2.1) whilst the single-storey houses are made of pure timber-framed masonry without the second line of reserve capacity i.e. the secondary system.
The geometry of the two-storey typical building is similar to the three-storey building apart from the total height which is increased up to 6.7 m (Figure 12a) . The model is presented in Figure 12a where the ground storey columns represent the masonry piers and the diagonally braced timber frame of the first storey the timber-framed masonry. Materials, loads and member sections are the same as in the three-storey building (see Table 1 and  §2.2   16 respectively). Two different foundations are considered: (i) fixed end foundation (Figure  12a) , and (ii) pinned-ended foundation with SSI (modelled as previously described). The geometry of the single-storey building presented in Figure 12b follows also similar layout and the total height reaches up to 3.3 m. The timber-framed panels have length 1 m with openings measuring 1.30 m×1.44 m. Materials, loads and member sections are the same as in the three-storey building. The model presented in §2.3 for timber-framed masonry is used, shown in Figure 12b . Two cases of foundation restraints are also considered i.e. with and without SSI.
Pushover curves for the two-storey building with the dual system and the single-storey building with the pure TFM system are given in Figure 13a and b, respectively. The single storey building presents, as expected, a rather bilinear response. Table 2 summarises the cases of analysed buildings. Each building is allocated a threeprefix designation (columns 2, 3, and 4 of the table) which is used in the remainder of the chapter. Single storey building (pure timber-framed) with fixed foundation 1st fix -Single storey building (pure timber-framed) with SSI 1st ssi -
CAPACITY AND FRAGILITY CURVES
Capacity curves
Fragility curves are derived based on the key assumption that the structure under consideration possesses the mean characteristics (geometrical, material etc.) leading to a seismic performance that can be assumed as the average of that typology of buildings (Kircher et al. 2006) . The studied ( §2) timber-framed masonry building is selected as representative of the typical timber-framed masonry building in Lefkas. Consequently, the seismic behaviour of this class of buildings can be expressed in terms of their 'average' pushover curve. The capacity spectrum method (Freeman 1998 ) based on inelastic demand spectra (Fajfar 1999 ) is used here to relate pushover curves with seismic demand. Thus, pushover curves are transformed into capacity curves, i.e. the pushover curve of the corresponding equivalent SDOF (single degree of freedom) system. This transformation is implemented using properties of the predominant mode in the considered direction. The validity of this procedure depends on the contribution of the first mode, which in this case is over 90%, which ensures reliable results. The procedure follows two steps: (i) the effective mass m* and the modal participation coefficient Γ 1 of the first mode are estimated using the following Equation 4 It is noted that the effective mass m* and the modal participation coefficient Γ 1 are different for the primary and the secondary system of the same structure due to different mass and mode shape of each system.
A capacity curve is usually defined by two points; (i) the yield point B that represents the transition from elastic to inelastic deformations, and (ii) the (ultimate) capacity point C which represents failure of the piers of the primary system. Nevertheless, for the Lefkas dual system buildings two additional points have to be defined: (iii) point D related to the yielding of the second-phase system and (iv) point E representing collapse of the secondary system of the ground storey, and eventually of the entire building. This sequence of points shown in Figure  14 specifies the main four representative stages of the seismic performance of timber-framed masonry buildings with a dual system. Table 2 ). Figure 15 for the three storey timberframed masonry building with fixed foundations. The capacity curve results from the combination of the respective curve of the initial and the second-phase systems. Values for the entire set of buildings are given in Table 3 (the designation is described in Table 2 ). 
An example of this capacity curve is shown in
Fragility curves
Fragility curves in terms of spectral displacement
It is well documented in the literature that fragility curves can be described by (cumulative) normal, lognormal, or beta distributions (Whitman et al. 1997; Vamvatsikos et al. 2010b) . The lognormal distribution is adopted here since it describes adequately the evolution of damage (Kircher et al. 2006 ). This distribution is expressed by the equation: (Kappos et al. 2006; Kircher et al. 2006 ): (i) uncertainty due to the ground motion β D , (ii) uncertainty in the response of the structure (capacity curve), and (iii) uncertainty in the definition of damage states. A reasonable and convenient assumption is to consider that these 21 three sources of variability are statistically independent and thus, the total standard deviation β ds,i is estimated as the square root of the sum of the squares of each term. An alternative procedure to estimate the total standard deviation β ds,i is by making recourse to the binomial distribution instead of the lognormal one (Barbat et al. 2008; Lagomarsino 2006) . The binomial distribution involves only one parameter, the mean value of the spectral displacement ,
Then the correlation of the two distributions (Equations 6 and 7) to derive the total standard deviation β ds,i of each damage state is based on the 50% probability of the lognormal distribution corresponding to the spectral displacement threshold of each damage state ,
Regarding the damage states, several definitions have been proposed for each building class (Hill and Rossetto 2008) . The number of different damage states may vary from 3 to 6, excluding the zero damage state (DS0). Eurocode 8-3 (CEN 2005) provides the definition of only three damage states: near collapse, significant damage and damage limitation for a structure that has undergone economically repairable cracking; these definitions appear to be tailored to structures with a single lateral load resisting system, such as reinforced concrete frames (with or without masonry infills) or masonry buildings without timber framing. Four damage states have been considered here, ranging from DS1 (negligible to small damage) to DS4 (total collapse); their designation is provided in Table 4 . Each damage state is related to a certain degree of loss, usually defined in terms of structural performance or of cost of repair (monetary index) (Kappos et al. 2006 ). In the latter case loss may reach values over 100% due to an excessive repair cost with respect to the cost of replacement.
For the timber-framed masonry buildings the following remarks are in order:  The yield point B (Figure 14) , which is the intersection of the initial elastic branch with the second branch should normally be the instant where the first element (masonry pier) of the structure 'yields' (in the context of a bilinearised resistance curve). For the case of Figure 9 this element would be the left masonry pier in the ground storey. However, when the actual resistance ('pushover') curve is bilinearised on the basis of equal energy then this point B is an equivalent yield point which no more reflects the instant of the first yield but rather some (limited) nonlinear response is generally expected prior to reaching this point. In this regard this damage state is deemed as slightly below the 'damage limitation' limit state of Eurocode 8 (CEN 2004b).  Point C refers to the initiation of heavy damage with the failure of ground storey masonry piers. From point B to point C of the response, piers gradually suffer damage (nonlinear response) and so does a number of timber frames of the upper structure. From this set of analyses ( Table 2 ) it is found that at 40 to 60% of the distance between B and C all base piers experience a certain level of nonlinear response. Thus, this instant can be taken as the threshold of moderate damage in the building.  Point D refers to the displacement where all the base masonry piers have failed and the secondary system is activated. Masonry piers are generally repairable but permanent deformation (drift) may drive the repair cost over the cost of replacement (Vintzileou et al. 2007 ). This damage state would correspond to the qualitative 22 description of the 'significant damage' limit state of Eurocode 8 (CEN 2004b) as regards the damage to the structural and non-structural members, permanent drifts and potentiality of restoring damage. From the strength point of view, the structure is close to Eurocode 'near collapse' LS as the lateral load capacity has been substantially reduced, however, due to the dual nature of the TFM system this is a stable system that can withstand significant further displacement, unlike e.g. concrete frames that have lost a large fraction of the strength.  Point E refers to the maximum displacement capacity of the structure. At this point the building is unable to absorb more seismic energy and essentially collapses. Consequently, this signifies the collapse of the structure. This ultimate state coincides with the 'near collapse' limit state of Eurocode 8 (CEN 2004b). S are computed according to the previous discussion of the damage stages through the following expressions:
In Equations 10 δ i are the displacements of points i (i.e. points A to D according to Table  3 ). The points calculated from Equations 8 for the three-storey TFM building with fixed foundations are shown in Figure 16 . Table 3 and the aforementioned methodology for standard deviation β ds,i the fragility curves (probability of exceedance vs. spectral displacement S d ) for the timber-framed masonry buildings with dual system were generated. It is worth noting here that defining fragility curves in terms of S d , has the major advantage of making them independent of the ground motion characteristics, unlike those in terms of PGA that have to be adjusted to the representative response spectrum of the region wherein they are used ). However, it also has the disadvantage that it makes much harder their calibration against actual damage data, since very few such data are available in terms of displacement. Figure 17 shows the fragility curves for three and two storey TFM buildings with a dual system. The least-square minimisation of the error (i.e. the difference squared) between the binomial (points P1 i , P2 i , P3 i and P4 i for each DS i ) and the lognormal distributions is presented in Figure 17a . Hence, the standard deviation β i of this procedure is purely a mathematical outcome rather than a value extracted from structural analyses. It is seen that DS1 (light damage) will be reached for rather low earthquake intensity (expressed herein in terms of displacement). Taking into account the deformability of the ground, DS1 shifts to substantially higher displacements, which might mean higher intensities (Figure 17b and d) ; however, the displacement demand increases with the period and, as seen in §2, the period of the buildings on soft soil is longer than that fixed to the ground, and also depends on the type of response spectrum used for estimating demand. A similar trend is noted with respect to DS4, whose probability of exceedance decreases for the same values of spectral displacement. On the contrary, intermediate damage states (DS2 and DS3) shift towards lower displacements (increase in fragility).
Applying Equations 8 with the values of
Damage states for the single-storey pure timber-framed masonry buildings do not follow the previous definition (Equations 8) as their capacity curves are described by only two points (Table 4) , point B that is the yield point and point C that is the collapse point. A reasonable definition of the damage states is in line with the similar category of unreinforced masonry buildings (Barbat et al. 2008; Kappos et al. 2006; Pujades et al. 2010 ):
In Equations 9 δ y is the yield displacement and δ u is the ultimate displacement (i.e. points B to C respectively according to Table 3 ). Equations 9 are conservative for the first two damage states (DS1 and DS2). A similar alternative definition is the following: 
The previous definitions (Equations 9 and 10) for the single-storey pure timber-framed masonry building with fixed foundations are compared in Figure 18 . Application of Equations 9 and 10 with the values of Table 3 for the yield and ultimate spectral displacement results in the fragility curves (probability of exceedance vs. spectral displacement S d ) for the single storey pure timber-framed masonry buildings shown in Figure  19 . Assuming that β D (variability in the ground motion) and β C (variability in the resistance of the structure) have a value 0.7 and combining (through SRSS) with the mean values of β T,ds,i from Table 5 , a general set of fragility curves for timber-framed masonry buildings is generated that could be used for all TFM categories (Figure 20) . 
Fragility curves in terms of PGA
Fragility curves in terms of PGA can be derived with the aid of analysis of typical structures for a gradually increasing intensity (incremental dynamic analysis); nonlinear response-history analyses are carried out for various ground motions (accelerograms) and then, capacity curve are drawn in terms of PGA encompassing the variability of the records (Vamvatsikos and Cornell 2002) . An alternative to this rigorous, yet cumbersome, procedure is applied herein and consists in converting the spectral displacement values defining the damage state thresholds into PGA values using a suitable response spectrum; of course, the so-derived curves are now specific to the selected ground motion (unlike the curves in terms of S d ). A convenient method is the N2 procedure (Fajfar 1999; Fajfar 2000) based on the assumption of equal elastic and inelastic displacements in the medium to long period range. The damage state thresholds defined in terms of S d in Table 5 are converted into PGA values using the 5%-damped response spectrum of EC-8 (CEN 2004b) for soil category D, as this reasonably matches the soil conditions in the city of Lefkas. The damage thresholds are given in Table 6 and fragility curves for the studied building typologies (Table 2) are shown in Figure 21 ; the standard deviations β are assumed to be the same as previously. The herein analytically generated fragility curves are compared with the empirical fragility curves proposed by Karababa (2007) ; Karababa and Pomonis (2011) , which are in terms of the 'parameterless' intensity ψ. This ψ intensity, initially proposed by Spence et al. (1991) , assumes an arbitrary value of 10 when 50% of the masonry building stock exceeds the damage state DS3 (Table 3) , i.e. ψ=10 is the threshold of DS3. The key assumption -justified empirically-is that buildings belonging to one typology will be distributed similarly among 
The mean values of the damage state thresholds in the parameterless ψ intensity and in PGA are presented in the following Table 7 . In this table the acronym 'LBSM & TF' stands for dual load-bearing timber-framed stone masonry structures, while 'TF' for pure timberframed structures. Comparing the analytically generated fragility curves (Table 6 ) with the empirical ones (Table 7) , it is seen that the mean values of the damage state thresholds are very close for the first three damage states. Averaging the mean values of Table 6 for the various typologies (average of each row of the columns 1 to 6) results in 0.15g for damage state DS1, 0.23g for damage state DS2, 0.36g for damage state DS3, and 1.55g for damage state DS4. However, there is a large discrepancy for damage state DS4. This should be attributed to various reasons: First that during the Lefkas 2003 earthquake there were no timber-framed buildings that experienced a collapse damage state DS4 (Karababa and Pomonis define DS4 as 'Very severe to partial collapse', and DS as Total Collapse, these two DS are treated as one in the analytically derived curves), and thus, extrapolating the empirical data to not observed damage states entails high uncertainty. Second, the code response spectrum used to convert the S d values to PGA may not be representative for all the examined region. Moreover, the empirical Equation 11 used for converting the parameterless intensity ψ to PGA is characterised (like all similar equations) by high dispersion. However, both analyses lead to the conclusion that timber-framed buildings can resist without collapse very strong earthquakes. Further empirical data are needed, to enhance the current database. The comparison for the pure timber-framed buildings shows that the analytically generated fragility curves are less conservative. Besides the previous sources of dispersion, one should also point out the small statistical sample that comprised only 577 buildings. Given the variability inherent in such analyses, the match of the analytical and the empirical curves is reasonably good. 
PILOT SEISMIC LOSS SCENARIO
The fragility curves derived for timber-framed masonry structures in §3 are used here to carry out a seismic loss assessment for the city of Lefkas subjected to the 2003 earthquake. The results of the post-event survey conducted by the Departments for Seismic Restoration (TAS) in the municipalities of the island were processed by Karababa (2007) to provide the statistical data summarized in Table 8 . It is important to note that the TAS groups visited only the buildings wherein they were invited by the owners or tenants. A key assumption made by Karababa (2007) is that buildings not visited by the survey groups had no damage. No indication is given as to whether a verification of this assumption was made by field work, and it is possible that there are cases wherein this assumption might not be valid since the groups may not have been invited for reasons such as the absence of the owner or unwillingness of the owners that feared possible drop in the value of their property if damage to the building was documented (e.g. yellow tag).
The estimation of the seismic intensity in Karababa and Pomonis (2011) is based on the attenuation relationship proposed by Skarlatoudis et al. (2003) for the Greek territory. As already noted, the parameterless ψ intensity has to be converted to PGA using empirical relationships (such as Equation 11), so the entire process is subject to significant uncertainty. In the present loss assessment the distribution of intensity provided by the shake map of USGS (2003) is adopted; according to this map the city of Lefkas experienced a PGA of 0.19g. Inserting this PGA to the fragility curves of Figure 21 the losses reported in Table 9 were estimated. In this table column 3 gives the number of damaged TFM buildings according to the in-situ post-earthquake inspection and column 4 the percentage assigned to each DS. Column 11 is the average percentage for the various TFM classes from the analysis (columns 5 to 10). Comparing the latter with column 4 (referring to the entire TFM stock) a good overall match is observed, but there are significant discrepancies for some categories. The mean damage factor (MDF) in column 2, which is a representative damage indicator, shows good correlation with the empirical data. 
CONCLUSIONS
Timber-framed masonry buildings in Lefkas that have a dual structural system (described in section 2) can be thought of as an early realisation of displacement based 'design', as they were found to resist strong earthquakes through their displacement capacity rather than their strength. The primary (URM) system aims to support gravity loads and, under low to moderate intensity earthquakes, to prevent damage and noticeable deflection of the building. On the other hand, the secondary (timber frame) system renders displacement capacity to the building and hence the necessary deformability to survive a severe seismic event.
The study of TFM buildings at the phases wherein the above two systems (primary and secondary) are active was performed using a different model for each; this is a pragmatic analysis procedure since the presence of the secondary system has a negligible effect on the response when the primary system is still intact. Pushover curves of timber-framed masonry buildings with a dual system are best idealised by a quadri-linear curve representing the transition of the building through four discrete response stages.
Damage states were related to the response phases of the building, defined in terms of displacements. So, three (DS1, DS3 and DS4) out of the four damage states are related directly to the response phases, establishing a robust definition that facilitates damage classification during post-earthquake surveys and inspections.
The derived fragility curves for TFM buildings are in terms of spectral displacement; they are also recast in terms of PGA correlating the latter to S d on the basis of a response spectrum. They show that although timber-framed masonry structures may suffer cracks and damage for low intensity earthquakes, they are expected to avoid collapse due to their high displacement capacity. These findings agree with observed response of the buildings in the 2003 earthquake in Lefkas. The comparison with the empirical curves showed reasonable match.
A loss estimation scenario was developed for TFM buildings in the city of Lefkas subjected to the 2003 earthquake. The key comparison with observed damage data was made for the entire TFM stock (rather than the various sub-classes used in the fragility analysis) and showed good match for most of the damage states.
